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Geosynthetic Reinforced Soil Foundation (GRF)  

Mitigates Liquefaction Hazard at a former Mill Pond Site 

by Steven C. Devin1, P.E. 
 

Abstract 

 

A proposal was made to construct a single-story 6,000 square foot (557 m2) office building on a portion of an old 
mill pond in Quincy, California.  A two-phase geotechnical investigation was conducted which consisted of test pits 
and hand-held mini-cone penetration test (MCPT) soundings followed by three hollow stem auger (HSA) borings 
with standard penetration testing (SPT) and undisturbed soil sampling.   Consolidation tests were performed on the 
undisturbed samples thus obtained.  Very loose to loose silty sands and sandy silts in the upper 10 to 15 feet (3.0 to 
4.6 m) of the subsurface coupled with a high groundwater table create a high potential for liquefaction.  The area is 
subject to moderate to high seismicity as evidenced by the moment magnitude 5.2 earthquake that occurred 18 miles 
(29 km) southeast of Quincy on August 10, 2001.  Numerous faults within the region and in close proximity to the 
project site yield a PGA of 0.19g on rock with a 10 percent probability of exceedance in 50 years.  The risk of 
liquefaction and consequent damage to the structure could only be fully mitigated through densification of the 
subsurface or the installation of a deep foundation system.  These options would be cost prohibitive, in part due to  
the absence of a competent bearing stratum within a reasonable depth of the ground surface.  A geosynthetic 
reinforced soil foundation (GRF) system was therefore selected to reduce the risk of structural collapse resulting 
from the large settlements that could occur during strong ground motion while simultaneously increasing the 
effective bearing capacity of the hydraulic fill under static loading.  A GRF design methodology was developed on 
the basis of increasing the stiffness, and thus limiting lateral displacements, within the GRF mass relative to the in 
situ soil.  The stiffened soil mass then distributes applied foundation loads over a larger area than an unreinforced 
soil mass thus decreasing the bearing pressure on the loose silts and sands.  Close supervision of GRF construction 
is required to ensure long term performance and quickly react to unforeseen field conditions through modifications 
to the reinforcement schedule and construction methodology. 

 

Introduction 

Rural communities throughout North America are dotted with abandoned lumber mills vacated when changing 
economic and environmental conditions forced their closure.  Portions of many such mills were once occupied by 
ponds used for storage of raw logs prior to processing into lumber.  In communities fortunate enough to maintain 
economic vitality following closure of the mills, development pressures have encroached upon former mill sites.  
This is particularly true in the mountainous areas of the west where flat sites available for development can be 
limited. 

Oftentimes, developers have acquired mill sites some thirty or forty years ago and simply re-graded and filled the 
ponds and other portions of the sites without any regard to proper geotechnical engineering and earthwork 
construction practices.  These sites have thus sat for many years with the visual evidence of their former function 
hidden beneath a veneer of imported soil. 

The difficult foundation conditions on sites once occupied by mill ponds is further exacerbated in areas of moderate 
to high seismicity where the hydraulically filled ponds create a high potential for liquefaction during moderate to 
strong ground motion.  Cost effective mitigation of this hazard can be a challenge particularly when the proposed 
building structures are of light-framed wood construction.  This paper presents the case history of one such site 
located in the northern Sierra Nevada town of Quincy, California where a proposal was made by a local bank to 
construct a single-story 6,000± square foot (557 m2) office building on a portion of an old mill site.   

Fully mitigating the liquefaction hazard for small projects may not be technically or economically feasible.  This 
was the ultimate conclusion for this project, which, rather than eliminate the hazard, sought to limit liquefaction 
induced damage to an acceptable level of risk.  In this sense mitigation is defined as allowing for damage to the 
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structure while preventing structural collapse rather than preventing liquefaction or preventing damage to the 
structure. 
 
Site Characterization 

The project is located within Plumas County in northeastern California near the edge of American Valley which is 
underlain by Quaternary lakebed sediments.  In the case of the old mill site, mill ponds, log decks, and mill wastes 
have created problematic deposits of sediment, organics, and debris.  The current site is located near the periphery of 
a large mill pond which was backfilled and graded over when this area was reclaimed for development presumably 
during the late 1960’s.  A review of aerial photography taken in 1941, and the subsequent interpretation of 
subsurface testing data, suggests that the edge of the pond passed northwesterly through the site.  The building site 
appears to straddle the old shoreline. 

Subsurface Investigation 

A two-phase geotechnical investigation was conducted which consisted of test pits and hand-held mini-cone 
penetration test (MCPT) soundings followed by three hollow stem auger (HSA) borings with standard penetration 
testing (SPT) and undisturbed soil sampling.  A site plan showing the location of each test pit and boring is 
presented in Figure 1. 

 
Figure 1, Site Plan and Stratigraphic Sections (scale bar = 20 feet, contour interval = 0.5 feet). 
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The initial phase, which was conducted in April 2000 prior to purchase of the property by the bank, consisted of the 
excavation of two test pits, designated TP-1 and TP-2, as well as two MCPT soundings, designated CPT-1 and CPT-
2.  Test pit TP-1 was initially excavated to a depth of 3.5± feet (1.1± m).  A perched water table condition was 
observed with groundwater entering the excavation at a depth of 1.5 feet (0.46 m).  The bottom of the excavation 
was then backfilled with granular material to a depth of 2.25 feet (0.69 m) in order to create a somewhat dry 
working platform from which to make a MCPT sounding.  This sounding, designated CPT-1, was made from 4 feet 
to 8.5 feet (1.2 to 2.6 m) below the original ground surface.   Each MCPT sounding was made with a hand operated 
static cone, or ‘Dutch’ cone, penetrometer with a 60º cone apex angle and 1.5 cm2 projected cone area.  Hand push 
refusal was encountered at 8.5 feet (2.6 m).  Excavation of the test pit was then carried to a depth of 10.5± feet (3.2 
m) below the original ground surface.  Grab samples were obtained from depths of 2, 3, 7, and 10 feet (0.6, 0.9, 2.1, 
and 3.0 m) in TP-1.  Groundwater infiltration was not observed at any other location in TP-1.   

Test pit TP-2 was excavated to a depth of 3 feet (0.9 m) with no groundwater encountered.  A MCPT sounding, 
designated CPT-2, was made from this depth to 14.25± feet (4.3 m) below the original ground surface where hand 
push refusal was encountered.  MCPT resistance data could not be measured below 8.5 feet (2.6 m) because the 
cone tip had clogged.  However, the cone was pushed continuously from 8.5± to 14.25± feet (2.6 to 4.3 m) with little 
effort until refusal was encountered at 14.25± feet (4.3 m).  A hand auger boring was then made at the CPT-2 
location.  Grab samples were obtained at depths of 4 and 4.5 feet (1.2 and 1.4 m).  Groundwater was encountered at 
5.5 feet (1.7 m).  The hand bucket auger yielded very low sample recovery below the groundwater table.  In some 
cases there was no recovery.  Consequently, the hand auger boring was terminated at a depth of 8.5 feet (2.6 m) 
below the original ground surface. 

The second phase of the investigation was made following purchase of the property by the bank.  This phase 
consisted of three borings, designated B-1 through B-3, which were made at the site in February 2001.  Each boring 
was made using a 3¼ inch (8.2 cm) inside diameter (ID) continuous-flight hollow stem auger (HSA) advanced with 
a truck mounted Mobile Drill B-53 rig.  Modified standard penetration tests (SPT) were performed at varying 
intervals using a California drive tube sampler and numerous attempts to obtain undisturbed 2.8 inch (7.1 cm) 
diameter thin walled Shelby tube samples were also made.   

Boring B-1 was made near the northwest corner of the proposed building footprint and was advanced to a depth of 
31.5± feet (9.6 m) without encountering bedrock.  Boring B-2 was made near the center of the easterly line of the 
proposed building’s footprint.  This boring was advanced to a depth of 26.5± feet (8.1 m) without encountering 
bedrock.  Boring B-3 was made near the center of the southwesterly quadrant of the proposed building’s footprint 
and was advanced to a depth of 26.5± feet (8.1 m) without encountering bedrock.  The horizontal location and 
surface elevation of each boring was surveyed as part of the preparation of a site plan for the project. 

‘Standard’ penetration tests (SPT) were made using a non-standard 1.94 inch (4.9 cm) ID split spoon sampler (i.e. 
California drive tube) rather than the standard 1.4 inch (3.6 cm) ID sampler.  The larger sampler allows for more 
sample recovery and is valuable for sampling coarser grained materials.  A correction of 0.78 was applied to the 
blow counts obtained with the 1.94 inch (4.9 cm) sampler to obtain equivalent raw SPT blow counts (personal 
communication from Ed Hendrick, 2001).  These were then corrected for field procedures, energy delivered to the 
sampler, and overburden stress to obtain corrected (N1)60 SPT blow count values (Skempton, 1986). 

One of the primary purposes of the supplemental exploration program was to obtain undisturbed samples for 
laboratory consolidation testing.  This proved very difficult with the sampling equipment available due to the 
presence of a high groundwater table and the nature of the materials sampled which consisted of sandy silts and silty 
sands.   A number of attempts to obtain undisturbed samples within the approximate depth range of 3 to 10 feet (0.9 
to 3.0 m) yielded no sample recovery.  A piston sampler could have improved sample recovery but such a sampler is 
rare in California or Nevada.  Attempts to obtain undisturbed samples were made in boring B-1 at depths of 6.5 to 
8.5 feet (2.0 to 2.6 m) and 8.5 to 10.5 feet (2.6 to 3.2 m).  Both these attempts resulted in no sample recovery.   
Likewise, an attempt was made from 4.8 to 6.8 feet (1.5 to 2.1 m) in boring B-2 which yielded no sample recovery.  
An attempt was then made to push a 2.5 inch (6.4 cm) inside diameter (3.5 inch OD) (thick walled) sampler 
equipped with a core catcher to obtain a sample from 7.0 to 8.5 feet (2.1 to 2.6 m) in B-2.  The sample thus obtained 
was too disturbed to be of any value in laboratory consolidation testing.  However, a Shelby tube sample with 75 
percent recovery was obtained from 15.0 to 17.0 feet (4.6 to 5.2 m) in B-2.  The first attempt to obtain an 
undisturbed sample in boring B-3 was made from 3.0 to 5.0 feet (0.9 to 1.5 m) but there was no sample recovery.  A 
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second attempt was made between 6.0 and 8.0 feet (1.8 to 2.4 m) which recovered about 50 percent of the sampling 
interval.  A third attempt was made from 8.0 to 10.0 feet (2.4 to 3.0 m) which yielded 100 percent sample recovery. 

Groundwater measurements were made in borings B-1 and B-2 ten days after their completion yielding depths of 3.5 
and 3.0 feet (1.1 and 0.9 m), respectively. 

Consolidation tests were performed on the undisturbed samples obtained from depths of 16.8 feet (5.1 m) (B-2 UT-
2) and 9.8 feet (3.0 m) (B-3 UT-3) in boring B-2 and B-3, respectively.  Each of these tests were run on samples of 
silt with 96.6 and 89.7 percent finer than 0.074 mm for each sample, respectively.  Compression indices (Cc) of 
0.192 and 0.282 were determined for each sample, respectively.  Due to the somewhat indistinct break in the e - log 
σvo’ curve for silts, a range of overconsolidation ratios (OCR) were computed which varied from 2.47 to 7.91 for 
sample B-2 UT-3 and 1.78 to 8.90 for sample B-3 UT-3.  The overconsolidation measured in these samples was 
unexpected due to the presumed young age of these deposits and is likely the result of fluctuations in the water table.  
This light to moderate overconsolidation is very beneficial in limiting settlements to a structure.   

Stratigraphy 

Based upon field observations, laboratory test data, SPT blow counts, and MCPT resistance data, a highly variable 
and complex stratigraphy exists across the site which reflects the presence of the former mill pond.  The general 
stratigraphy consists of about 2 to 3 feet (0.6 to 0.9 m) of silty sand and gravel (SM) overlying a possible hydraulic 
fill of silty sand (SM) and sandy silt (ML) which in turn overlies either interbedded silty sand (SM) and sandy silt 
(ML) or organic silt (OH).  The hydraulic fill, which could also be interpreted as sediment accumulation from a 
detention pond, appears to extend to depth of about 10 to 12 feet (3.0 to 3.7 m) in boring B-3 and to 16.5 feet (5.0 
m) in boring B-1.  The relative density of this layer is very loose to loose (Dr = 11 to 32%) and creates the most 
difficult geotechnical engineering aspect of the project.  Below this layer, loose interbedded silty sands and sandy 
silts (Dr = 35%) extend to the bottom of borings B-1 and B-2.  A layer of organic silt interrupts the lower 
interbedded silty sand and sandy silt layer at a depth of about 24 to 28 feet (7.3 to 8.5 m) in boring B-1.  This same 
organic silt layer dominates below a depth of about 10 to 12 feet (3 to 3.7 m) in boring B-3 where it extends to the 
bottom of the boring.  The organic silt is generally of a medium consistency ignoring the (N1)60 value from a depth 
of 26 feet (7.9 m) in boring B-1 which may reflect the presence of a larger wood fragment.  Numerous small (1 
mm) wood fragments were present in the organic silt. 

Stratigraphic sections interpreted from the available data are presented in Figures 2 through 4.  The location of each 
section is shown in Figure 1.  These sections include a summary of laboratory test data and the corrected SPT (N1)60 
values. 

Seismicity 

The town of Quincy is located within a seismically active region of northeastern California as evident from the 
moment magnitude (Mw) 5.2 earthquake that occurred 18 miles (29 km) southeast of Quincy on August 10, 2001.  
Numerous northwesterly trending faults are identified in the area, the closest of which include the Melones Fault 
Zone to the west and the Mohawk Valley Fault Zone to the east (Jennings, 1994).  These faults, both of which are 
described as normal faults by Mualchin (1996), are both about 6 to 9 miles (10 to 15 km) from the project site.  
(Interestingly, the recent Mw 5.2 event, which occurred along the Mohawk Valley Fault Zone, showed strike-slip 
motion rather dip-slip motion (personal communication from J. Louie, August 2001).)  Mualchin (1996) has 
assigned maximum credible earthquake (MCE) magnitudes Mw 6.5 to each fault.  Using the attenuation relationship 
of Maulchin and Jones (1992), a Peak Ground Acceleration (PGA) on rock of 0.40g for the MCE is estimated at the 
project site.  This is a deterministic value that does not take into account the probability of occurrence. 

The Working Group on Northern California Earthquake Potential (WGNCEP, 1996) has developed a tectonic model 
for northeastern California which closes slip vectors within the region and adjacent regions.  The WGNCEP 
concludes that: 

“Although abundant evidence of late Quaternary and Holocene faulting exists, several factors lead 
to considerable uncertainty in assigning the level of seismic activity expected from regional 
tectonics into discrete earthquake sources in this region.  The most problematic factors are the 
great breadth and complexity of fault systems and the sparseness of Holocene deposits needed to 
judge recency of faulting and measure slip rates on particular faults.  Hence, to account for seismic 
hazard we adopted four areal sources…” (WGNCEP, 1996). 
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Quincy lies within the Mohawk-Honey Lake areal source identified by the WGNCEP.  This source is considered to 
be right lateral, dipping at 90, with a slip rate of 2 mm/yr and capable of a Mw 7.1 at an effective recurrence interval 
of 690 years (WGNCEP, 1996).  The findings developed by the WGNCEP were incorporated in the NEHRP (1997) 
hazard maps which indicate a PGA with a 10 percent probability of exceedance in 50 years (i.e. 475 year recurrence 
interval) of 0.19g on rock at the project site.    

The magnitude required to generate a PGA on rock of 0.19g was then estimated by assuming a source distance of 
9.3 miles (15 km) and implicitly solving the attenuation relationship for California shallow crustal strike-slip and 
reverse-faulting earthquakes developed by Sadigh, et al. (1997).  This yielded a Mw 6.25 event on either the Melones 
or Mohawk Valley Faults. 

Liquefaction Hazard 

Very loose to loose silty sands and sandy silts in the upper 10 to 15 feet (3.0 to 4.6 m) of the subsurface coupled 
with a high groundwater table suggest a high potential for liquefaction.  The simplified procedure (Youd, et al., 
2001) was used to assess the hazard at this site.  In the simplified method, the intensity of ground motion is 
characterized by the PGA (or amax) while the duration is characterized by earthquake magnitude (Mw) and magnitude 
scaling factors (MSF) which adjust the design magnitude to the reference magnitude of Mw 7.5.   

Cyclic Stress Ratio (CSR) 

The seismic demand on subsurface soils is expressed in terms of the cyclic stress ratio (CSR) which estimates the 
ratio of the average cyclic shear stress to the effective overburden pressure generated by an input ground motion.  
The evaluation of the appropriate value of the peak ground acceleration at the surface can be problematic on soft soil 
sites.  Youd, et al. (2001) state that the preferred method is the use of attenuation relationships such as those 
presented by Sadigh, et al. (1997) for rock and deep soil sites.  However, these analyses, which are in close 
agreement at a distance of about 11¼ miles (18 km) for Mw 6.25, do not account for amplification on soft soil sites.  
Local site response can be modeled with computer programs, however, such an analysis is beyond the scope of most 
small projects with a paucity of data.  Amplification ratios may also be used to estimate surface ground motions 
from the PGA on rock but Youd et al. (2001) state that this is the least desirable method.  The 1997 NEHRP 
Provisions would suggest an amplification factor of 2.0 for short period (high frequency) response on Site Class E 
(i.e. sites with SPT 15N in the upper 100 feet (30 m)) at the input acceleration of interest.  Applying this 
amplification ratio to the current site results in amax of 0.38g at the ground surface.  However, for the value of input 
acceleration on rock considered, it is conservative to simply neglect any amplification or damping which may occur 
in the soils overlying bedrock and simply use the value of PGA on rock.  

Evaluating the liquefaction hazard at a depth of 10 feet (3 m) using the aforementioned PGA and a design magnitude 
of Mw 6.25 yielded a CSR of 0.20. 

Cyclic Resistance Ratio (CRR) 

Liquefaction resistance is quantified with the cyclic resistance ratio (CRR) which can be evaluated using a number 
of in situ tests the most common of which is the SPT.  The resistance of sands to liquefaction is affected by a 
number of factors including relative density, the abundance of fines, and the plasticity of the fines.  The resistance to 
liquefaction increases with increasing relative density, increasing fines content (FC), and possibly plasticity.  The 
silty sands tested at this site had FC from 31 to 44 percent while the silts and sandy silts had FC from 56 to 97 
percent.   

An average (N1)60 of 5 was estimated at a depth of 10 feet which was then converted to a ‘clean sand’ (N1)60CS value 
of 11 using equations developed by I.M. Idriss and R.B. Seed and presented in Youd, et al. (2001).  A magnitude 
scaling factor of 1.59 was then estimated for Mw 6.25 using a relationship developed by Idriss (Youd, et al., 2001).  
The CRR6.25 (i.e. for Mw 6.25) was then determined using the approximated clean sand curve (Youd et al., 2001) 
with (N1)60CS multiplied by the MSF yielding a CRR6.25 of 0.14.   

Comparison of the CSR with the CRR6.25 indicates that the resistance of the deposit to liquefaction is less than the 
expected seismic demand for the design earthquake even when neglecting site response amplification.  Therefore, 
the site is likely to experience liquefaction during a moderate to strong earthquake. 
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Figure 2, Stratigraphic Section A-A.
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Figure 3, Stratigraphic Section B-B. 



Proceedings of the 38th Annual Symposium on Engineering Geology and Geotechnical Engineering, March 18-21, 2003, 
University of Nevada, Reno, Reno, NV 
 

 

 354

 

Figure 4, Stratigraphic Section C-C. 
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Geosynthetic Reinforced Soil Foundation (GRF) Design 

The risk of liquefaction and consequent damage to the structure could only be fully mitigated through densification 
of the subsurface or the installation of a deep foundation system.  However, it was concluded that these options 
would be cost prohibitive, particularly in light of the absence of a competent bearing stratum within a reasonable 
depth of the ground surface.  A geosynthetic reinforced soil foundation (GRF) system was therefore selected to 
reduce the risk of structural collapse resulting from the large settlements that could occur during strong ground 
motion while simultaneously increasing the effective bearing capacity of the hydraulic fill under static loading.  The 
GRF was designed on the basis of increasing the stiffness under static loading, and thus limiting lateral 
displacements, within the GRF mass relative to the in situ soil.  The stiffened soil mass in turn is able to distribute 
applied foundation loads over a larger area than an unreinforced soil mass thus decreasing the bearing pressure on 
the loose silts and sands.  The granular replacement material used in the GRF would also serve as a drainage blanket 
to help dissipate excess pore water pressures induced in the silts and sands by the cyclic shear stresses of an 
earthquake. 

A GRF consists of multiple closely spaced geosynthetic layers sandwiched within a high quality granular backfill 
material supporting a conventional concrete spread footing.  Adams and Collin (1997) and Adams, et al. (1997) 
describe large scale tests on sand which showed that three layers of geogrid reinforcement substantially 
outperformed one or two layer systems with bearing capacity ratios (BCR) increasing from 1.6 to 2.5 from the one 
or two layer systems to the three layer system.  The BCR is defined as the ratio of the bearing capacity of the GRF to 
that of a footing on an unreinforced soil.  These tests also demonstrated the effect of the depth of reinforcement 
relative to the footing width (z/B ratio) on the ultimate bearing capacity of shallow spread footings on sand.  
Analysis of vertical and lateral strain data (i.e. immediate settlement) demonstrated that the optimal placement of 
reinforcement occurred for 50.z/B  while placement of the first layer at 150.z/B  proved optimal in limiting 
immediate settlement to 0.5 percent of the footing width.   

Other investigators report differences in the performance of GRF’s with variations in the type and width of 
reinforcement.  Guido et al., (1986) reported BCR’s of 1.65 to 1.75 for geotextiles compared to 2 to 3 for punched 
and drawn geogrids.  This study also found that the required minimum ratio of reinforcement width to footing width 
(b/B) varied from 3.25 for geotextiles to 1.5 for geogrids. 

A GRF effectively increases the stiffness of soils beneath a conventional spread footing thus redistributing applied 
loads over a larger area.  Assuming a simple pyramidal (or trapezoidal) stress distribution imposed by a footing, the 
degree to which loads are distributed can be described by the angle () of the side of the pyramid relative to a 
normal with the ground surface.  Gabr and Hart (1996) found that  could be as high as 45 with punched and drawn 
geogrids.  It is the author’s opinion that  is a function of the combined spacing and stiffness of the reinforcement 
rather than just the reinforcement stiffness.  Therefore, closely spaced geotextiles should perform similarly to more 
widely spaced geogrids.  

Design Methodology 

Four failure modes are considered in the design of a GRF (Wayne, et al., 1998).   

(1) A shallow bearing capacity failure of the concrete footing within the unreinforced soil above the first 
layer of reinforcement. 

(2) A shear failure in the soil between reinforcement layers. 
(3) Punching of the concrete footing through the reinforced soil mass. 
(4) General bearing capacity of the GRF on unreinforced foundation soils. 

The first two failure modes can be eliminated by utilizing closely spaced reinforcement placed within a quality, well 
compacted granular backfill with the first reinforcement layer placed with z/B between 0.25 and 0.50.  The later two 
failure modes require further consideration. 

Failure mode (3) was analyzed by considering the horizontal stresses at each reinforcement layer along a vertical 
plane projected downward from the edge of the concrete footing and assuming that the reinforcement prevented 
lateral displacement of the soil mass from these stresses.  In this manner, the reinforcement provides an increased 
confining pressure on a vertical failure plane punching downward through reinforced soil.  The lateral stresses at 
each level were evaluated using a Boussinesq solution for the desired footing load, footing width and depth, and 
reinforcement spacing.   
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Punching of the concrete footing through the GRF mass (i.e. Failure mode (3)) may be evaluated as follows 
(assuming groundwater at or below the bottom of the GRF). 

Plane Strain H
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qGRF ult)(   = ultimate bearing capacity against punching failure through the GRF mass. 

qFdn ult)(    = ultimate bearing capacity of footing on unreinforced soil. 

H   = thickness of GRF mass measured from bottom of concrete footing to lowest reinforcement layer. 
'
R   = effective friction angle of the backfill. 

R   = unit weight of backfill. 

B   = concrete footing width. 
Df   = depth from ground surface to bottom of concrete footing. 
Ti   = tensile force in reinforcement at layer i. 
Hi   = lateral stress at reinforcement layer i computed using Boussinesq analysis. 
s   = reinforcement spacing (i.e. tributary width). 
n   = number of layers of reinforcement. 
 

Failure mode 4 is analyzed using any bearing capacity model (e.g. Meyerhof for this project) and assuming a value 
of  to estimate the redistribution of footing bearing pressures through the GRF mass.  The value of  is dependent 
upon the reinforcement stiffness and spacing.  A value of 45º seems appropriate for the close fabric spacing 
advocated herein.  The analysis should consider the increased surcharge from the increased depth of embedment in 
the Nq term of the general bearing capacity equation. 

The reinforcement must be properly anchored to develop its tensile capacity in resisting lateral deformation of the 
soil mass.  Such an analysis is made by again using the Boussinesq solution to determine the horizontal variation in 
lateral stresses at each reinforcement layer.  In this manner the location of peak lateral stress can be determined at 
each reinforcement layer and the maximum tensile force in the reinforcement determined by multiplying the lateral 
stress by the tributary width of reinforcement at each layer.  The required embedment length may be determined at 
each layer as follows. 
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Le  = required embedment length at each layer measured beyond the location of maximum lateral 
stress. 

Tmax   = maximum tensile force at each reinforcement layer. 
H max   = maximum lateral stress at each reinforcement layer determined by Boussinesq solution. 
v   = vertical stress at each reinforcement layer. 
s  = tributary width of reinforcement (i.e. the reinforcement spacing at each layer except layer where 

1.5 times the  reinforcement spacing is used). 
   = reinforcement-soil interface friction angle. 
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In addition to determining the required embedment length, a geosynthetic must be selected that will resist the design 
tensile force at each layer with an adequate margin of safety.  The concept of adequate margin of safety is subject to 
considerable debate with regard to reduction factors for creep, durability, and installation damage in addition to an 
overall factor of safety.  These factors are used to reduce the wide-width peak tensile strength determined in 
accordance with ASTM D4595 to obtain a long term design strength (LTDS) for the reinforcement. 

Finally, settlement analyses should be performed for unreinforced foundation soils using the loading assumptions of 
Failure mode 4. 

Design Summary 

The final GRF design for this project is shown in Figure 5 and consists of four layers of a 200 lb/in (35 kN/m) 
woven polypropylene geotextile spaced at 6 inches (0.15 m) and extending outward 5 feet (1.5 m) from each the 
edge of the concrete footing.  The first reinforcement layer, which consists of a doubled fabric layer, was placed 6 
inches (0.15 m) below the concrete footing sized for an allowable bearing pressure of 2,000 psf (100 kPa).  The total 
reinforcement thickness is 24 inches (0.61 m) measured from the bottom of the footing.  Assuming a very low 
friction angle (’) of 26º for the very loose sands and silts, a BCR of 2.46 was calculated for the GRF relative to the 
unreinforced soil.  Foundation soils probably have a friction angle closer to 28º and therefore the BCR would be 
reduced to 1.92. 

Due to the heterogeneity of foundation soils, the validity of the direct application of measured consolidation 
properties in a settlement analysis was fraught with uncertainty.  Therefore, a sensitivity analysis was made by 
varying the OCR with depth such that the stress increase due to the footing load would remain in the recompression 
range.  The OCR’s thus obtained were compared with those measured and engineering judgment applied.  This 
analysis suggests that the stress increase caused by the foundation will not exceed the anticipated preconsolidation 
pressure throughout the deposit and thus will remain in the recompression range with total settlements expected to 
be less than 0.5 inches (1.3 cm). 

Figure 5, GRF Design Detail.
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Construction 

Close supervision of GRF construction is required to ensure adherence to the design and possibly adjust reinforcing 
schedules in the face of unanticipated site conditions thus achieving the intended performance.  Key factors in 
achieving the desired performance also include: (1) backfill material quality and compaction control; (2) 
reinforcement seam direction and lap; (3) proper preparation of fabric interfaces when a doubled fabric layer is 
specified; (4) protection of reinforcement from equipment damage; and (5) adherence to elevation and grade. 

The GRF was constructed during September 2001.  Backfill materials consisted of Caltrans Class 2 Aggregate Base 
compacted to 95 percent of the maximum dry density determined in accordance with ASTM D1557.  The direction 
and location of fabric seams was closely monitored and modified as necessary such that seams were oriented parallel 
to the direction of greatest horizontal stress induced by the concrete footing.  A minimum lap of 6 inches (0.15 m) 
was specified for all seams.  Fabric-to-fabric interfaces at the uppermost layer, and elsewhere where fabric was 
doubled, were lightly dusted with the silty sand and gravel from the excavation walls to increase the fabric-to-fabric 
friction. 

Groundwater seepage into the footing excavation was encountered along the southerly one-third of the building 
footprint.  This seepage was first encountered on Friday September 7th and allowed to continue unattended over the 
weekend.  A stream of water and yellow fines emanating from a single location were observed during a weekend 
site visit.  The yellow fines contrasted sharply with the dark colored soil exposed in the excavation at the south end 
of the building.  About 2 to 3 inches (5 to 7.5 cm) of standing water was pumped from the bottom of the excavation 
the following Monday.  After removal of the standing water it was observed that the yellow fines continued to flow 
upward into the excavation from one very small point source.   

The general contractor later provided the author with copies of earlier geotechnical reports prepared for the current 
building site and adjacent properties.  These reports had been provided to the contractor by the previous property 
owner but were never provided to the author during the investigation or design phase of the project.  A spring was 
noted in one of these reports near the southern end of the building footprint. 

The reinforcement schedule along the southern portion of the building, and specifically in the vicinity of the ‘sand 
boil’, was modified to compensate for the very low strength of foundation soils within the seepage zone.  Each layer 
of reinforcement was doubled in this area; particularly near the location of column loads.  Considerable pumping of 
foundation soils was noted during compaction of the two lowest reinforcement layers using a small smooth drum 
vibratory roller (i.e. an asphalt paving roller).  These two layers were static rolled (i.e. no vibration).  Ground 
deflection in front of the roller was dramatically reduced by the third lift in the vicinity of the seepage and vibration 
was again applied to the compactive effort. 

Construction of the remainder of the GRF proceeded without further modification.  Building construction was 
completed by the following summer. 

Conclusions 

The development of a former mill pond site in a seismically active region affords the opportunity to design and 
construct a GRF foundation to mitigate liquefaction induced damage to an acceptable level of risk.  Very loose sands 
and silts in the upper 10 to 15 feet (3.0 to 4.6 m) of the subsurface along with a high groundwater table create a high 
probability of liquefaction during moderate to strong ground motion.  A GRF foundation system was designed using 
the concept of multiple closely spaced geotextile reinforcement layers sandwiched within a well-compacted quality 
granular backfill.  GRF design was governed by punching failure of the concrete footing through the reinforced soil 
mass.  A design methodology was developed which accounts for the beneficial confining effect created by the 
closely spaced reinforcement under the concrete footing in resisting punching failure.  In the author’s opinion, the 
closeness of reinforcement spacing justifies the assumption that foundation loads are transferred from the concrete 
footing through the reinforced soil mass and to foundation soils using a trapezoidal stress distribution with 1 to 1 
side slopes.  Close supervision of GRF construction is required to ensure long term performance and quickly react to 
unforeseen field conditions through modifications to the reinforcement schedule and construction methodology. 
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